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EXECUTIVE SUMMARY

The primary objectives of this research were to investigate possible design-related causes of
apparent shear cracks on MDOT prestressed concrete (PC) bridge girders; to assess the adequacy
of PC shear design and rating methods; and to recommend changes to these procedures if
necessary. The project began with a thorough investigation of the design and rating methods that
were used for the PC bridge girders found to have potential shear distress. In particular, the
AASHTO Standard Code, the AASHTO LRFD Code, and the 1979 AASHTO Interim
Specifications, as well as the supporting technical literature, as summarized in Chapter 2.

The next stage of the project involved a field survey of PC bridge girders that were identified in
previous inspection reports to have shear cracks. Sixteen such MDOT PC bridges in southeast
Michigan were visited and studied, and the girders on eight of these structures were found to
have possible shear cracks. The shear capacities of the girders on the 16 bridges were analyzed
according to the 2002 Standard, 2010 LRFD, and 1979 Interim AASHTO provisions, and
compared to various shear load demands. It was found that shear load/capacity ratios, the code
method used to design the girders, as well as various other bridge girder characteristics could not
be clearly linked to cracked girders in all cases. However, a weak pattern emerged in which
cracked girders tended to be associated with longer spans, larger girders, and higher average
prestress stresses. Also, no structures with end blocks were observed to have cracking. Of the
methods considered, it was found that the best predictor of cracking was the ratio of Vy/V2 , with
Vi found from the 1979 Interim Specifications and V2 the shear force due to a unfactored HS20
truck and dead load only. In light of these findings, of the methods studied, the method used to
design or analyze the girder does not appear to be a primary factor contributing to potential shear
cracking.

A major portion of the research involved the laboratory testing of two full-scale beam specimens.
The purpose of the testing was to gather reliable experimental data that could be used to validate
numerical (finite element analysis; FEA) models to be used later in the project. Each girder was
tested three times in different regions of the span by adjusting support locations, to generate data
for different critical shear span-to-depth ratios and stirrup spacings. For each beam, the portion
of the span which was to be preserved for subsequent testing was externally clamped with steel
bars to prevent any significant damage in this region during the first two tests. Beams had stirrup
spacings from 8-12 in and shear span/depth ratios from 2.0 to 3.5.

Once the test beam data were available, FEA models were constructed and validated. The
developed FEA models could well-match the majority of the test beam results as well as the
three PC beam shear tests found in the technical literature that were chosen for validation. Using
the validated FEA modeling technique, a parametric analysis was then conducted on a variety of
PC bridge girder configurations relevant to MDOT design practice. Varied parameters included
beam type; load position; strand profile; concrete strength; prestress level; stirrup spacing; and
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longitudinal steel reinforcement ratio, for a total of 414 analyses. The analyses revealed that, of
the three code procedures considered (AASHTO LRFD, 1979 Interim, and AASHTO Standard),
the AASHTO Standard code could best predict the FEA results of shear capacity in terms of
accuracy as well as consistency. It was also found that it was not possible to fail the analysis
beams in shear prior to a moment failure using the vehicle configurations considered.

A regression analysis was then performed to modify the LRFD and Standard shear capacity
procedures to best-fit the FEA results. For both procedures, adjustment functions were
developed with girder concrete compressive strength, average stress due to prestress force,
stirrups spacing, and beam height as input variables. Application of the adjustment expressions
resulted in significant improvement in the predictive capability of the code procedures for the
shear capacities found in the FEA analysis. Therefore, to best estimate the shear capacity of
MDOT PC girders within the range of beam parameters considered in this study, it is
recommended that the developed linear regression function is used in conjunction with the
modified AASHTO LRFD procedure as described in this document. Alternatively, a
significantly simpler procedure can be obtained from using the Standard Code and its associated
adjustment expression with only a minor loss of accuracy. If further verification of girder shear
capacity is desired, it is recommended that a field load test, in the form of a monitoring or proof
load test, is considered. Several existing MDOT reports detail the field load testing of bridges.

Based on the results of the field study, associated analysis, and FEA modeling, it appears highly
unlikely that any diagonal cracks observed on the field study bridges were due to live load
overloads. Consequently, it does not appear that the presence of these cracks, which were
observed to be relatively tight where aggregate interlock is preserved, poses significant concern
for significant loss of shear capacity. It is thus recommended that cracks are monitored and
repaired if necessary to prevent penetration of water and corrosion of reinforcing steel. Various
other references are available to guide this process. If crack growth and opening continues and
strength loss becomes a concern, external strengthening may be achieved with the use of fiber
reinforced composite fabric, an MDOT guideline for which is currently under development.

As part of this project, field tests of two PC bridges constructed continuous for live load were
conducted. The purpose of the field testing was to determine the degree of moment continuity
between adjoining spans of PC bridges designed continuous for live load. This information
could then be used to determine the proper assumption for joint continuity for shear analysis of
these bridges. Two nearly identical bridges of this type were tested, where bridge girders were
instrumented with strain gages at different locations along their spans to monitor positive and
negative moment strains during the tests. Test data were recorded as two test trucks moved
across each bridge. A total of 15 tests were conducted for each bridge, by varying the positions
of the test vehicles. Single, side-by-side, and following vehicle configurations were included in
the tests. It was found that overall girder strains as well as positive moments from the tests are
best predicted in analysis using a joint stiffness approximately mid-way between a simple and
fully-continuous condition. It was also found that AASHTO LRFD and Standard Code girder
distribution factors were conservative for all positive moment cases considered.

From these test results, it is recommended that for the analysis of positive bridge girder moments

for these types of bridges, results from a simple span and a continuous span assumption are
averaged. An easier and more conservative estimation is to use the simple span moment only. It
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was also found that a reasonable estimation of negative moment is to reduce that found from a
continuous analysis assumption by half. For the analysis of shears, it is similarly recommended
that the results from a simple span and a continuous span assumption are averaged. For end
supports, a slightly conservative assumption is to assume a simple span case, while for the
interior support, a slightly conservative assumption is to assume a continuous span case. A
simpler alternative is to treat the spans as simple, and increase the interior support shear found
from the simple span analysis by approximately 5%.
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CHAPTER 1: INTRODUCTION
Statement of the Problem

In the last several decades, there have been significant changes to the AASHTO Bridge Design
Specifications with regard to shear design. These changes include how the shear strength
contributions attributed to the concrete and transverse steel are calculated, as well as limits on the
maximum allowable shear stress. In 1983, the 12" edition of the AASHTO Standard
Specifications (AASHTO 1983) presented a significantly revised shear design method for
prestressed concrete (PC) bridges from that previously found in the 1979 Interim Specifications
(AASHTO 1979). Revisions included a new method for calculating the concrete shear strength
that explicitly accounts for web-shear cracking and flexural-shear cracking (Fig. 1.1); a change
in location of the critical shear section near supports; and a reduction of 50% in the calculated
shear strength contribution from the transverse reinforcement, as compared to the 1979 Interim
Specifications. These 1983 shear provisions have remained unchanged up to the latest, 17th
edition of the Standard Specifications, which were last published in 2002 (AASHTO 2002). A
second significant change in shear design was presented in the 1% edition of the AASHTO Load
and Resistance Factor Design (LRFD) Specifications, released in 1994 (AASHTO 1994). Based
on the Modified Compression Field Theory (Fig. 1.2), the shear design provisions in the
AASHTO LRFD Specifications are significantly more complex than those in the Standard
Specifications, with major changes in calculation of the concrete shear strength contribution,
horizontal projection of diagonal cracks, and maximum allowable shear stress. Although some
revisions have been made, the 1994 LRFD shear design approach is essentially the same method
presented in the most recent 5" edition of AASHTO LRFD, published in 2010 (AASHTO 2010).

Applied load

l [R23)

77 AR S

4 A
Continuous Simple support
support
Flexural and flexure-shear

- 1
Flexural and  Web- Web-shear
flexure-shear shear

Figure 1.1. Web-Shear And Flexural-Shear Cracking (ACI 318-11).

The major differences in PC bridge shear design methods have possibly resulted in bridges that
behave differently under service conditions. Correspondingly, a number of MDOT PC bridge
beams have been found with potential shear cracks; these cracks may be contributed to designs
under one or more of the several different AASHTO code provisions that have been used for
design. This observation has led to three questions of concern: 1) are these cracks due to
unacceptably high shear stresses under service conditions that may be associated with the use of
one or more of the shear design procedures?; 2) are these cracks due to an under-design for
shear?; and 3) how can these cracks, which may be associated with high service shear stresses
and/or under-design for shear, be prevented in future PC bridges?
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Figure 1.2. Principal Components Of Modified Compression Field Theory (Collins et al. 1996).
The leftmost diagram shows a beam section with moment (M,), shear (V.) and axial force (N,) load effects, with
diagonal cracks in the web of width by at angle 8. Principal tensile and compressive stresses f; and f, are normal and
parallel to the cracks, with corresponding strains are &1 and & and vertical strain &, The rightmost diagram shows
the force developed in a vertical shear reinforcement bar at yield, which is given as the area of the steel (Ay) times
yield stress (fy), or average shear stress (v) times tan6b.s.

Since the several shear design methods that have been used by MDOT provide significantly
different requirements for the amount of steel required, which could translate in significant
differences in shear stress at service conditions, it is possible that the cause of possible shear
cracks observed in MDOT PC girders is related to an insufficient consideration of service
stresses when designing for shear. At present, the adequacy of the current MDOT shear design
and evaluation procedure is not well known. As shear failures tend to be brittle, coupled with the
identification of possible shear cracks on some MDOT PC bridges, a safety and/or serviceability
concern may exist.

Background
Shear Resisting Mechanisms in Prestressed Concrete Beams

PC beams are known to resist shear through various mechanisms. These include aggregate
interlock across diagonal cracks, shear carried in the compression zone, dowel action of the
longitudinal reinforcement, transverse reinforcement, and the vertical force in draped
prestressing strands. For design purposes, the first three terms are lumped into a “concrete” shear
strength contribution, while the shear strength contributions from transverse reinforcement and
the vertical component of the prestress force are treated separately. Determination of the latter
strength component is straightforward. However, mechanisms involved in the “concrete” and
transverse steel reinforcement contributions to beam shear strength are somewhat more complex.

“Concrete” Shear Strength Contribution, V¢

Shear carried through the member compression zone, aggregate interlock, and dowel action are
typically lumped, for shear design purposes, into a single shear resisting component attributed to
the concrete, V.. Relative contributions from each of these three mechanisms are difficult to
estimate and could vary significantly depending on the amount of longitudinal and web
reinforcement provided, as well on the level of prestressing force. While some researchers
(Richart 1927; Bresler and Pister 1958; Tureyen and Frosch 2003) have argued that most of the
“concrete” contribution to beam shear strength is provided by shear carried in the beam
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compression zone, others (for example, Vecchio and Collins 1986) have claimed that most of
this shear is resisted by the member web through aggregate interlock. This is the approach
typically followed when designing beams using the Modified Compression Field Theory
(Vecchio and Collins 1986) and thus, this same assumption is implicit in the AASHTO LRFD
General Sectional design method.

Shear Strength Contribution from Steel Transverse Reinforcement, Vs

The role of beam transverse reinforcement (e.g. stirrups) in resisting beam shear has long been
explained through the use of a truss analogy (Fig. 1.3) (Ritter 1899; Mdérsch 1909). Idealizing a
reinforced (or prestressed) concrete beam as a truss, shear is resisted by a combination of
diagonal concrete members and steel vertical members (for the case of vertical stirrups). In order
to calculate the shear strength of a beam using the truss analogy, however, it is necessary to
estimate the angle of inclination and compression strength of the concrete diagonal elements, as
well as the strength of the steel members. In his development of the truss analogy, Morsch
(1909) assumed a 45-degree angle for the concrete diagonal elements and a failure mode
governed by the steel members (i.e. a possible compression failure of diagonal concrete members
was neglected).

/ oL I\\ \ : jd
Sl »{ NG N

T A ; B T :
Figure 1.3. Truss Analogy (Wight and MacGregor 2012).
The cracked reinforced concrete beam is modeled as a truss with top chord as the concrete compression zone,

bottom chord as longitudinal steel, web ties as vertical shear reinforcement, and diagonal struts as concrete in
compression between shear cracks.

The 45-degree truss analogy has long been adopted in the ACI Building Code (2008) and the
AASHTO Standard Specifications. However, in order to ensure that yielding of the steel
transverse reinforcement would occur prior to either a web-crushing or a shear-compression
failure, the AASHTO Standard Specifications (2002) limit the contribution of steel transverse
reinforcement to beam shear strength to a stress of 8\/f, where /7 is the specified concrete
strength in psi. Over the past several decades, the use of a truss analogy with angles shallower
than 45 degrees has been explored (Ramirez and Breen 1991; Vecchio and Collins 1986).
Reducing this angle implies a higher efficiency of the transverse reinforcement (as
geometrically, more stirrups will cross a shear crack with a lower angle) and thus results in less
shear reinforcement required for the same shear demand. While it may be argued that this
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approach is more consistent with experimental observations, it is also less conservative than the
45-degree truss analogy, producing a design which may be more prone to shear distress under
service conditions.

Review of Shear Design Provisions for Prestressed Concrete Bridge Girders

1979 Interim Specifications

Contrary to the AASHTO Standard and LRFD Specifications, the “concrete” contribution to
shear strength V. in the 1979 Interim Specifications was assumed to be linearly related to
concrete compressive strength and was taken equal to 0.06 f’c. This contribution, however, was
limited to 180 psi, which in practice governed the design value of V. for all PC girders, since this
limit was reached with an f’c of only 3000 psi. For comparison, for concrete compressive

strengths of 4000 and 10000 psi, this shear stress limit corresponds to 2.8,/f,' and 1.8,/ f.'

(psi), respectively. In the 1979 Interim provisions for PC, the shear strength contribution of the
transverse steel reinforcement is given as (Eq. 1.1):

V, =2A,fy% (1.2)
where Ay is the area of steel transverse reinforcement spaced at a distance s, fy is the yield
strength of the transverse steel reinforcement, and jd is the distance between the resultant normal
tension and compression force couple in the section (i.e. truss depth). Although the angle of
inclination for the diagonal elements to be used in the truss analogy was not explicitly specified,
the number of layers of steel transverse reinforcement assumed to be crossed by a diagonal crack
in Eq. (1.1) is effectively 2jd/s, which leads to a truss angle of 29.1 degrees. This significantly
shallower design angle compared to the typical 45-degree angle used in reinforced concrete was
due to the effect of the prestressing force in PC beams, which lowers the principal compression
angle. However, as will be discussed later, this beneficial effect is not accounted for in the 1983
nor the current 2002 AASHTO Standard Specifications. Other important provisions of the 1979
Interim Specifications are a minimum shear reinforcement requirement to provide a shear stress
contribution of at least 100 psi, while maximum stirrup spacing was limited to % of the member
height. It should be noted that the 1979 Interim Specifications did not limit the maximum shear
strength contribution that could be assigned to the steel transverse reinforcement. That is, no
explicit provisions were provided to prevent web-crushing failures.

Another aspect of the 1979 Interim Specifications that deserves attention is the critical section
used for design near the supports. In the case of simply supported beams, the shear calculated at
a quarter of the span length from the support is used as the maximum shear design value; i.e.
higher shear forces closer to the support are neglected.

AASHTO Standard Specifications

The shear design provisions in the 1983-2002 AASHTO Standard Specifications are based on
research conducted at the University of Illinois (MacGregor 1960; MacGregor et al. 1965). In
these provisions, the “concrete” shear strength is calculated as the smaller of the shear force
associated with flexural shear cracking and the shear force that causes web-shear cracking.
Flexural shear cracking will govern in sections with high moment and low shear, while web-
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shear cracking will govern in sections subjected to high shear and low moment. In the case of
flexural-shear cracking, the shear strength is calculated as the sum of the shear corresponding to
flexural cracking and the shear required to turn a flexural crack such that it becomes a flexural-
shear crack (Eg. 1.2):

V, =0.6,[f.b,d +V, +\I<;IM“ >1.7,[f.b,d (12)

max

where by is the web width, d is the member effective depth (need not be taken less than 0.8 times
the member depth, h), Vq is the shear force due to unfactored dead load, Vi is the factored shear
that occurs simultaneously with the maximum factored moment at the section (Mmax), While Mecr
is the cracking moment due to external loads. The last term in Eq. (1.2) represents the factored
shear due to external loads (in addition to dead load) that leads to flexural cracking in the section.
For sections subjected to low moment, Eq. (1.2) will lead to very large shear strength values
(infinity at points where Mmax=0). In these cases, design shear strength is governed by the shear
corresponding to web-shear cracking.

Shear corresponding to web-shear cracking is calculated assuming that the section is uncracked
in flexure and that first diagonal cracking will develop on the member web when the principal
tensile stress in the concrete, calculated including the effect of prestressing, reaches the assumed

concrete tensile strength of 3.5,/ f.'(psi). This shear force, combined with the vertical
component of the prestressing force, Vy, is then taken as the web shear strength, Vew (Eq. 1.3).

V,, =35 f, +0.3f )b, d +V, (1.3)

where fpc is the stress due to prestressing at the centroid of the cross section or at the web-flange
interface when the centroid is in the flange.

In the AASHTO Standard Specifications, the shear strength provided by the steel transverse
reinforcement is calculated based on the 45-degree truss analogy which, for a typical lever arm
distance between the internal forces jd = 0.9d, represents only 56% of the steel shear strength Vs
as calculated in the 1979 Interim Specifications (Eg. 1.1). Further, in order to prevent web-

crushing failures, the strength provided by the steel transverse reinforcement is limited to 8,/ f_'

(psi). The minimum amount of transverse steel, however, is half that required in the 1979 Interim
Specifications (corresponding to a minimum shear stress of 50 psi), while maximum spacing is
limited to either 0.75h (or 24 in.) or 0.375h (or 12 in.), depending on the shear stress demand.
Moreover, the critical section for shear in the Standard Specifications for PC girders is taken as
h/2, which is substantially smaller than that in the 1979 Interim Specifications (a quarter of the
span length), and correspondingly results in larger design shear forces near supports.

AASHTO LRFD Specifications

The General Sectional Method for shear design in AASHTO LRFD Specifications represents a
significant departure from the traditional shear design methods applied to reinforced and
prestressed concrete members in other design codes (e.g. ACI Building Code, AASHTO
Standard Specifications). Based on the Modified Compression Field Theory (MCFT) developed
at the University of Toronto in the late 1970s and early 1980s (Vecchio and Collins 1986), this
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shear design method relies on the use of equilibrium, strain compatibility, and material
constitutive relations to determine the “concrete” and steel reinforcement contributions to shear
strength. In compression, the concrete behavior is assumed to “soften” (or become weaker) due
to the presence of transverse tensile strains. Moreover, on average terms, concrete is assumed to
carry some tension beyond cracking to account for tension stiffening (i.e. the tension carried by
the concrete between cracks).

Contrary to the traditional approach of lumping the contributions from aggregate interlock, shear
carried in the compression zone, and dowel action into a single term V., the AASHTO LRFD
MCFT-based Sectional Method is based on the assumption that the entire “concrete” shear
contribution is given by aggregate interlock. In this method, the web of a PC girder is idealized
as a panel whose deformations are defined in terms of average strains calculated at member mid-
depth. The “concrete” contribution V¢ is then a function of the ability of the concrete to resist
tension between cracks, defined by a factor . This resistance depends on the average tensile
strain in the concrete, and is limited by yielding of the reinforcement at the cracked section
and/or the amount of shear that can be resisted through aggregate interlock along the crack. Vc is
thus determined as:

V, =By/f.b,d, (1.4)

where dy is the effective shear depth, equivalent to jd in the 1979 Interim Specifications, and is
taken as the greater of 0.9d and 0.72h. The final determination of V¢ is not straight forward. In
order to facilitate the use of the MCFT for the shear design of PC girders, the AASHTO LRFD
Specifications include tables that allow the determination of B and the principal compression
angle 0 based on the shear stress level, average longitudinal strain, and crack spacing. Because
the longitudinal strain is a function of &, iteration is required. Values of & vary from
approximately 25 to 45 degrees (often much less than 45 degrees), while g values range from
approximately 1 to 6.5 for members with at least minimum shear reinforcement. Further, because
the contribution from shear carried through the compression zone is neglected, very low values
of V¢ compared to those in the 1979 Interim and 1983-2002 AASHTO Standard Specifications
are obtained when the strains in the steel tension reinforcement are large. This approach,
therefore, encourages designers to add more longitudinal steel to reduce longitudinal strains and
increase shear resistance, which may result in over-reinforced sections in flexure.

Once the principal compression angle @ is determined, the contribution from the steel transverse
reinforcement is based on the truss analogy and is determined as:

d, cotd
S

V, = Af, (1.5)

Another major departure from the AASHTO Standard Specifications is the upper shear stress
limit to prevent web-crushing failures. In the AASHTO LRFD Specifications, this limitation is
given by:

V, +V, <0.25f_'b,d, (1.6)
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As will be shown in the next section, this limit is substantially higher than that in the Standard
Specifications and could have important implications in the serviceability of PC bridge girders.
Minimum shear reinforcement in the LRFD Specifications is required to provide a maximum

shear stress equal to «/ f."(psi), which is more conservative than the minimum shear

reinforcement provision in the Standard Specifications. Finally, the location of the first critical
section from the face of the support is located at a distance equal to the larger of dy or 0.5d\coté,
as opposed to the value of h/2 given in the Standard Specifications.

Comparison of Shear Design Methods: Practical Implications for Capacity and
Serviceability

From the summary of the three design methods provided above, it is clear that substantial
differences in the calculation of both V¢ and Vs can be obtained depending on the method used. In
terms of the “concrete” contribution Ve, the 1979 Interim Specifications tend to provide the
lowest values, as V¢ is limited to a maximum shear stress of 180 psi. For concrete strength of

4000 psi or greater, this stress limit represents less than 3,/ f.* (psi), which is a low value for PC

beams, particularly in regions where moment is low and shear is high, such as near the supports
of simply supported beams. In these regions the “concrete” contribution to shear strength would

normally be on the order of 4—5ﬁ/fc' (psi). In the AASHTO LRFD Specifications, V. is also

generally lower than that calculated in the Standard Specifications, because in LRFD, V. is
entirely based on shear resisted by the web through aggregate interlock. One exception may
occur when the section mid-depth is in compression (i.e. there are compressive longitudinal
strains at member mid-depth). In this case, values of V¢ using the LRFD Specifications could be
greater than those obtained using the Standard Specifications.

When calculating total member shear strength, the differences in calculated values of V. for the
three methods are often somewhat balanced by accompanying differences in Vs. For example,
consider the 1979 Interim Specifications and the Standard Specifications. While the Interim
provisions will often predict substantially lower V. values compared to the Standard
Specifications, the required area of steel for a given Vs in the Interim Specifications is nearly half
that required for the same value of Vs in the Standard Specifications. The result is that unless the
difference in V. is extremely large (which could be the case near supports), the difference in the
amounts of transverse steel required by these two methods is generally not significant. In the
case of the LRFD Specifications, calculated values of V. tend to be closer to those in the
AASHTO Standard Specifications. An exception here is when calculated longitudinal tensile
strains are large, for which the LRFD Specifications tend to assign low values to Vc, as shear
carried through the member compression zone is neglected. In these cases, the calculated V¢
values could be close to those obtained using the 1979 Interim Specifications. Figure 1.4
illustrates these trends and illustrates the differences in V¢ and the transverse steel required for
the case of a typical two-span continuous PC girder. As shown in the figure, the largest
differences in the values of V¢ occur near the supports, while differences in the required area of
transverse steel, in general, are substantially smaller throughout the span.
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Figure 1.4. Differences In V¢ And Shear Reinforcement Required (PCI Bridge Design Manual

2003). Concrete capacity V. (left graph) and required shear stirrup steel (right graph) for a typical symmetric, two-
span PC bridge made continuous over the middle support.

Another major difference between the three shear design provisions lies on the maximum shear
stress limit which is set in order to prevent web-crushing failures. The 1979 Interim
Specifications do not include an upper stress limit, while the Standard Specifications limit the

shear strength contribution from the steel reinforcement to 8,/f.' (psi). The LRFD

Specifications, on the other hand, place a stress limit of 0.25/”c on the sum of the “concrete” and
“steel” contributions to shear strength (i.e.v_+v,<0.25f "). The difference between the

Standard and LRFD Specifications for various concrete compressive strengths is illustrated in
Figure 1.5. To facilitate comparison, two limits to the shear stress corresponding to vc + vs are
shown for the Standard Specifications, which correspond to reasonable concrete shear stresses of

Zﬂ/fc' and 4ﬂ/fc' (psi). As can be seen, the LRFD Specifications allow PC girders to be

designed for a much higher shear stress at ultimate compared to the Standard Specifications. The
difference in shear stress limits between the Specifications increases as the concrete compressive
strength increases, with the LRFD provisions allowing approximately twice the maximum shear
stress for concrete strengths between 8000 and 10000 psi.

The difference in shear stress limit between the Standard and LRFD Specifications, and the lack
thereof in the 1979 Interim Specifications, could potentially lead to substantial differences in the
behavior, at service conditions, of PC girders designed following these three approaches. This is
because the higher the design shear stress, the more likely diagonal cracks will develop under
service conditions. To illustrate this point, consider an example PC girder with fc’ = 8000 psi
concrete designed for a factored shear stress equal to 50% of the upper shear stress limit in either

the Standard Specifications (i.e. v, =0.5[v, +(V,),.], Where (V,).. :&/fc' in psi), or LRFD
Specifications [i.e. v, =0.5(v, +V,) ., =0.5(0.25f.")]. Assuming a typical ratio between
factored and unfactored shear of 1.5 and a reasonable “concrete” shear stress Ve = 3.51/ f." (psi),

the PC girder designed according to the Standard Specifications would be subjected to an
unfactored shear stress of 340 psi, while the unfactored shear stress in the PC girder designed
according to the LRFD Specifications would be 670 psi (nearly 100% difference).
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Figure 1.5. Comparison Of Maximum Shear Stress Limit In AASHTO Standard And LRFD
Specifications.

It would therefore not be surprising to find PC girders designed according to the LRFD
Specifications to be more prone to diagonal cracking under service conditions than girders
designed to the Standard Specifications. The same potential for shear cracking under service
loads could be found for structures designed using the 1979 Interim Specifications, given the
lack of an upper shear stress limit for design.

In addition to shear capacity, shear force demands are calculated differently between the
Standard and LRFD Specifications, and these differences involve changes in nominal traffic live
load (HS-20 versus HL-93) and impact load, as well as girder distribution and load and
resistance factors. In general, these differences in shear design loads act to decrease the effective
differences in final shear designs between the codes. However, these differences are far from
uniform, and depend greatly on bridge geometry, with the final LRFD design shear resistance
varying from about 1.0 to 1.4 times the design shear resistance calculated from the Standard
Specifications (Nowak 1999). Relative to LRFD, shear designs by the Standard Specifications
are generally less conservative (in terms of ultimate strength) as girder spacing increases and
span decreases. These differences are detailed in NCHRP Report 368 (Nowak 1999) and must be
considered along with capacity to assess differences and problems among the design approaches.
Ultimate capacity comparisons, however, do not account for the fact that, as illustrated above,
shear stresses at service conditions in girders designed according to the LRFD Specifications can
be substantially higher than those in girders designed following the Standard Specifications, and
which may be the most probable cause of visible shear cracking.

Continuous Bridge Girders

Another issue that complicates the shear design of PC bridges is that, based on the results of
NCHRP Report 322, The Design of Precast, Prestressed Bridge Girders Made Continuous
(Oesterle et al. 1989), depending on the construction sequence and reinforcement detailing, some
continuous PC bridges have been flexurally-designed to act as simply supported spans under
some load conditions and continuous under others. For example, when precast girders are
brought to the construction site, the girders must carry self-weight for simple span conditions,
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but with the addition of proper joint construction over the supports, act as continuous spans for
additional dead and live loads, as well as restraint moments caused by creep and shrinkage.
However, shear design in bridges made continuous through the bridge deck was not studied in
NCHRP 322, but only recommended for future research. Further, potential complications in the
calculation of the shear corresponding to flexural-shear cracking (Eg. 1.2) were reported,
particularly due to the numerous loading conditions to be considered in the analyses. In fact, the
2003 PCI Bridge Design Manual does not recommend the calculation of the “concrete” strength
contribution based on the AASHTO Standard Specifications because it was derived from tests of
simply supported beams. The same manual indicates, however, that there are no known problems
associated with the application of this method to continuous bridge girders.

Objectives of the Study

The specific research objectives of this study are to:

e |dentify MDOT PC bridges with potential shear cracks, attempt to determine their cause,
and evaluate whether these cracks are associated with the application of a particular shear
design method.

e Conduct laboratory tests to generate experimental data that can be used to validate
numerical models of PC beam shear capacity.

e Develop a validated numerical (finite element) modeling approach that can be used to
investigate the effect of critical parameters on the shear capacity of PC girders.

e Conduct field tests to determine the degree of joint moment fixity for continuous-span PC
girders, and estimate the effect that joint fixity has on shear distribution.

e Determine the most appropriate analysis method to determine MDOT PC beam shear
capacity, and validate the use of current code procedures to evaluate shear capacity.

e Develop a calibration procedure such that the AASHTO shear capacity analysis
procedure can be most accurately applied to MDOT PC bridges.

Summary of Research Tasks

Task 1. Conduct a comprehensive review of the state-of-the-art technical literature.

Task 2. Identify MDOT PC bridges that show signs of potential shear distress.

Task 3. Determine the cause of cracking.

Task 4. Conduct laboratory tests of PC beams to generate high-quality, controlled data for model
development and calibration.

Task 5. Develop a finite element model of PC girders and conduct a parametric analysis of
critical shear capacity-affecting factors using the laboratory results for validation and
calibration.

Task 6. Conduct field tests of two MDOT PC bridges to determine the degree of continuous joint
fixity.

Task 7. Evaluate the effectiveness of existing code procedures to predict the shear capacity of PC
beams, and recommend a shear design and evaluation procedure specifically suited for
MDOT PC bridges.

Task 8. Prepare project deliverables.
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CHAPTER 2: LITERATURE REVIEW
Shear Design Methods

AASHTO 1979 Interim Design Specifications

As noted in Chapter 1, In the 1979 Interim provisions, contrary to the AASHTO Standard and
LRFD Specifications, the “concrete” contribution to shear strength V¢ was assumed to be linearly
related to concrete compressive strength and was taken equal to 0.06 f’c. This contribution,
however, was limited to 180 psi, which in practice governed the design value of V. for all
prestressed concrete (PC) girders, since this limit was reached with an f”c of only 3000 psi. For
comparison, for concrete compressive strengths of 4000 and 10000 psi, this shear stress limit

corresponds to 2.8,/ f.' and 1.8,/ f_" (psi), respectively. In the 1979 Interim provisions for PC,
the shear strength contribution of the transverse steel reinforcement is given as:

V, =2A f, % 2.1)

where Ay is the area of steel transverse reinforcement spaced at a distance s, fy is the yield
strength of the transverse steel reinforcement, and jd is the distance between the resultant normal
tension and compression force couple in the section (i.e. truss depth).

Although the angle of inclination for the diagonal elements to be used in the truss analogy was
not explicitly specified, the number of layers of steel transverse reinforcement assumed to be
crossed by a diagonal crack in Eq. (2.1) is effectively 2jd/s, which leads to a truss angle of 29.1
degrees. This significantly shallower design angle compared to the typical 45 degree angle used
in reinforced concrete was due to the effect of the prestressing force in PC beams, which lowers
the principal compression angle. However, this beneficial effect is not accounted for in the 1983
nor the latest 2002 AASHTO Standard Specifications. Other important provisions of the 1979
Interim Specifications are a minimum shear reinforcement requirement to provide a shear stress
contribution of at least 100 psi, while maximum stirrup spacing was limited to % of the member
height. It should be noted that the 1979 Interim Specifications did not limit the maximum shear
strength contribution that could be assigned to the steel transverse reinforcement. That is, no
explicit provisions were provided to prevent web-crushing failures.

Another aspect of the 1979 Interim Specifications that deserves attention is the critical section
used for design near the supports. In the case of simply supported beams, the shear calculated at
a quarter of the span length from the support is used as the maximum shear design value; i.e.
higher shear forces closer to the support are neglected.

AASHTO Standard Specifications

The shear design provisions in the 1983-2002 AASHTO Standard Specifications are based on
research conducted at the University of Illinois (MacGregor 1960; MacGregor et al. 1965). In
these provisions, the “concrete” shear strength is calculated as the smaller of the shear force
associated with flexural shear cracking and the shear force that causes web-shear cracking.
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Flexural shear cracking will govern in sections with high moment and low shear, while web-
shear cracking will govern in sections subjected to high shear and low moment.

Section 9.20.1 (General) in the 2002 AASHTO Standard Specifications states that prestressed
concrete flexural members shall be reinforced for shear and diagonal tension stresses. Shear
reinforcement may be omitted if the factored shear force, V. is less than half the shear strength
provided by the concrete. It also states that web reinforcement shall consist of stirrups
perpendicular to the axis of the member or welded wire fabric with wire located perpendicular to
the axis of the member. This web reinforcement is to extend to a distance d from the extreme
compression fiber and is to be placed as close to the compression and tension surfaces of the
member as cover requirements and the proximity of other reinforcement permits. Moreover, web
reinforcement is to be anchored at both ends in accordance with the provisions of Article 8.27.
Member shear strength must satisfy:

Vu<o (Ve + V) (2.2)

where Vy is the factored shear force at the section considered, V¢ is the nominal shear strength
provided by the concrete, and Vs is the nominal shear strength provided by web reinforcement.
When the reaction to the applied loads introduces compression into the end regions of the
member, sections located at a distance less than h/2 from the face of the support may be designed
for the same shear Vy as that computed at a distance h/2.

Section 9.20.2 (Shear Strength Provided by Concrete) in the 2002 AASHTO Standard
Specifications states that the shear strength provided by the concrete, Ve, is to be taken as the
lesser of the values Vi or Vew.  The shear strength, Vi, is given by:

ViMcr

Ve = 0.6(/f/b,d + Vg + pTa (2.3)

However, this value need not be less than 1.7,/£/b’d, and d need not be taken less than 0.8h.
Here, by is the web width, d is the member effective depth, Vg is the shear force due to unfactored
dead load, Vi is the factored shear that occurs simultaneously with the maximum factored
moment at the section (Mmax), while Mcr is the cracking moment due to external loads. The last
term in Eq. (2.3) represents the factored shear due to external loads (in addition to dead load) that
leads to flexural cracking in the section. For sections subjected to low moment, Eq. (2.3) will
lead to very large shear strength values (infinity at points where Mmax=0). In these cases, design
shear strength is governed by the shear corresponding to web-shear cracking. The web shear
strength Vew is computed by assuming that the section is uncracked in flexure and that the first
diagonal cracks will develop on the member web when the principal tensile stress in the
concrete, calculated including the effect of prestressing, reaches the assumed concrete tensile

strength of 3.5,/f.'(psi). This shear force, combined with the vertical component of the
prestressing force, Vp, is then taken as the web shear strength, Vew:

Vew = (3.5VF + 03fc ) byd +V, (2.4)
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where fyc IS the stress due to prestressing at the centroid of the cross section or at the web-flange
interface when the centroid is in the flange, and d need not be taken less than 0.8h.

Section 9.20.3 (Shear Strength Provided by Web Reinforcement) in the 2002 AASHTO Standard
Specifications states that the shear strength provided by web reinforcement shall be taken as:

_ Apfsyd

=2k (25)

where Ay is the area of web reinforcement within a distance s. Vs is not to be taken greater than
8,/f/b,d, and d need not be taken less than 0.8h. The spacing of web reinforcing is not to
exceed 0.75h or 24 inches. When Vs exceeds 4f,b'd, this minimum spacing is reduced by 50%.
The minimum area of web reinforcement shall be determined as:

__ 50b's

a4, =%7 (2.6)

where by and s are in inches, and fsy (the design yield strength of web reinforcement) does not
exceed 60,000 psi.

AASHTO LRFED Design Specifications

The General Sectional Method for shear design in the AASHTO LRFD Specifications represents
a significant departure from the traditional shear design methods applied to reinforced and
prestressed concrete members in other design codes (e.g. ACI Building Code, AASHTO
Standard Specifications). Based on the Modified Compression Field Theory (MCFT) developed
at the University of Toronto in the late 1970s and early 1980s (Vecchio and Collins 1986), this
shear design method relies on the use of equilibrium, strain compatibility, and material
constitutive relations to determine the “concrete” and steel reinforcement contributions to shear
strength. In compression, the concrete behavior is assumed to “soften” (or become weaker) due
to the presence of transverse tensile strains. Moreover, on average terms, concrete is assumed to
carry some tension beyond cracking to account for tension stiffening (i.e. the tension carried by
the concrete between cracks).

The shear resistance of a concrete member may be separated into a component, V. that relies on
tensile stresses in the concrete, a component Vs, that relies on tensile stresses in the transverse
reinforcement, and a component Vp, that is the vertical component of the prestressing force.
Section 5.8.3.3 (Nominal Shear Resistance) in AASHTO LRFD states that the nominal shear
resistance, Vn, shall be determined as the lesser of:

Vo=V +Vs+ 1, (2.7)

Vo, = 0.25f/b,d, +V, (2.8)
in which:

V. = 0.03168/f!b,d, (2.9)
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where by is the effective web width taken as the minimum web width, measured parallel to the
neutral axis, between the resultants of the tensile and compressive forces due to flexure (in), dv is
the effective shear depth taken as the distance, measured perpendicular to the neutral axis,
between the resultants of the tensile and compressive forces due to flexure (and need not be
taken less than the greater of 0.9de or 0.72h ), s is the spacing of transverse reinforcement
measured in a direction parallel to the longitudinal reinforcement, £ is a factor indicating the
ability of diagonally cracked concrete to transmit tension and shear, 4 is the angle of inclination
of diagonal compressive stresses, and a is the angle of inclination transverse reinforcement to
longitudinal axis. The concrete contribution is controlled by the value of the coefficient 5. The
value of 0.0316 is used to convert the relationship for V. from psi to ksi units. Note that V. is
taken as the lesser of Vi and Vew if the procedures of Article 5.8.3.4.3 (Simplified Procedure) are
used. Vsis in general given as:

Ay fydy(cotf+cota)sina

V, - (2.10)
When a = 90 degrees (shear reinforcement placed vertically), Eg. 210 reduces to:
Ay fydycot(0)
= e (2.11)

The expressions V¢ and Vs apply to both prestressed and non-prestressed sections, with the terms
f and 6 depending on the applied loading and the properties of the section. The upper limit of Vj
given (discussed above) is intended to ensure that the concrete in the web of the beam will not
crush prior to yield of the transverse reinforcement. A variable angle truss model is used to
calculate the contribution of the shear reinforcement. The angle of the field of diagonal
compression, 6, is used in calculating how many stirrups, [d,cot(®)/s], are included in the
transverse tie of the idealized truss. The parameters £ and & may be determined either by the
General Procedure or the Simplified Procedure.

The actual section is represented by an idealized section consisting of a flexural tension flange, a
flexural compression flange, and a web. After diagonal cracks have formed in the web, the shear
force applied to the web concrete, (Vu -Vp) will primarily be carried by diagonal compressive
stresses in the web concrete. These diagonal compressive stresses will result in a longitudinal
compressive force in the web concrete of (Vu -Vp)cotd. Equilibrium requires that this longitudinal
compressive force in the web be balanced by tensile forces in the two flanges, with half the
force, that is 0.5(Vy -Vp)cotf, being taken by each flange. For simplicity, 0.5cot6 may be taken as
2.0 and the longitudinal demand due to shear in the longitudinal tension reinforcement becomes
(Vu— Vp), without significant loss of accuracy. After the required axial forces in the two flanges
are calculated, the resulting axial strains €; and €, can be calculated based on the axial force-
axial strain relationship.

For the General Procedure, for sections containing at least the minimum amount of transverse
reinforcement specified in Article 5.8.2.5, the value of g is taken as:

48
T (1+750¢5)

B (2.12)
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When sections do not contain at least the minimum amount of shear reinforcement, the value of
p is taken as:

4.8 51 (2.13)

P = 575000 39+ 5.0)

The value of @ in both cases is:

where &, is the net longitudinal tensile strain in the section at the centroid of the tension
reinforcement:

(’Z—:+0.5Nu+0.5|vu—vp|—Apsfpo)

€5 = (ESAS+EpApS) (215)
The crack spacing parameter s, , is:
_ 1.38
Sxe = Sx ag+0.63 (2.16)

where 12.0 in <s,, < 80.0 in, Ac is the area of concrete on the flexural tension side of the
member, Aps is the area of prestressing steel on the flexural tension side of the member, As is the
area of non-prestressed steel on the flexural tension side of the member at the section under
consideration, ag is the maximum aggregate size, fo is a parameter taken as modulus of elasticity
of prestressing tendons multiplied by the locked-in difference in strain between the prestressing
tendons and the surrounding concrete. For the usual level of prestressing, a value of 0.7fy is
appropriate for both pretensioned and post-tensioned members. Ny is the factored axial force,
taken as positive if tensile and negative if compressive, | Mu | is the factored moment, sy is the
lesser of either dv or the maximum distance between layers of longitudinal crack control
reinforcement, where the area of the reinforcement in each layer is not less than 0.003bysx, and
Vy is the factored shear force.

In using the General Procedure, some additional considerations are:
. | My | shall not to be taken less than | Vu-Vp | dv
e In calculating As and Aps, the area of bars or tendons terminated less than their
development length from the section under consideration should be reduced in proportion
to their lack of full development.
e If the value of & is negative, it should be taken as zero or the value should be calculated

using (EsAs + EpAps + EcAc¢) as the denominator. However, &, should not be taken less
than -0.40x10°2.
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e For sections closer than dy to the face of the support, the value of &, calculated at dy from
the face of the support may be used in evaluating £ and 6.

e If the axial tension is large enough to crack the flexural compression face of the section,
the value calculated by the denominator for &, should be doubled.

e It is permissible to determine £ and 6 using a greater value of ¢, than calculated by the
equation above, however, & should not be taken greater than 6.0x1073.

The relationships for evaluating g and @ in the previous equations are based on calculating the
stresses that can be transmitted across diagonally cracked concrete. As the cracks become wider,
the stress that can be transmitted decreases. For members containing at least the minimum
amount of transverse reinforcement, it is assumed that the diagonal cracks will be spaced about
12.0 in apart. For members without transverse reinforcement, the spacing of diagonal cracks
inclined at & degrees to the longitudinal reinforcement is assumed to be sy/sinf. Hence, deeper
members having larger values of sy are calculated to have more widely spaced cracks and
therefore cannot transmit as high shear stresses. Also, the ability of the crack surfaces to transmit
shear stresses is influenced by the aggregate size of the concrete. Members made from concretes
that have a smaller maximum aggregate size will have a larger value of sy and thus, if there is no
transverse reinforcement, will have lower shear strength.

As an alternative to the General Procedure, a Simplified Procedure may be used in some cases.
The Simplified Procedure is based on the recommendations of NCHRP Report 549 (Hawkins
and Kuchma 2005). These concepts are compatible with ACI 318-05 and the AASHTO Standard
Specifications for Highway Bridges (2002) for evaluation of the shear resistance of concrete
members. For nonprestressed sections, Section 5.8.3.4.1 (Simplified Procedure) states that for
concrete sections not subjected to axial tension and containing at least the minimum amount of
transverse reinforcement, or having an overall depth of less than 16 in, g can be taken as 2.0 and
6 can be taken as 45°. Section 5.8.3.4.3 (Simplified Procedure) addresses prestressed sections as
well. Here, for concrete beams not subject to significant axial tension, prestressed or non-
prestressed, and containing at least the minimum amount of transverse reinforcement, V, may be
determined with V, taken as zero and V. taken as the lesser of V¢ and Vew, where Ve is the
nominal shear resistance provided by the concrete when inclined cracking results from combined
shear and moment, and Vcw is the nominal shear resistance provided by the concrete when
inclined cracking results from excessive principal tension in web. In this case, V.i shall be
determined as:

ViMCTB !
Ve = 0.02\/f!b,d, + V; + - > 0.06,/f/b,d, (2.17)

Mmax

where Vg is the shear force at the section due to the unfactored dead load, Vi is the factored shear
force at section due to externally applied loads occurring simultaneously with Mmax, Mcre is the
moment causing flexural cracking at section due to externally applied loads, and Mmax is the
maximum factored moment at section due to externally applied loads. Mcre hall be determined
as:

M nc
Mere = Sc (fr + fcpe - Sic ) (2.18)
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where fepe IS the compressive stress in the concrete due to the effective prestress forces only at the
extreme fiber or section where tensile stress is caused by externally applied loads, Manc is the
total unfactored dead load moment acting on the monolithic or noncomposite section, Sc is the
section modulus for the extreme fiber of the composite section where tensile stress is caused by
externally applied loads, and Sy is the section modulus for the extreme fiber of the monolithic or
noncomposite section where tensile stress is caused by externally applied loads. Vcw shall be
determined as:

Ve = (0.06,/f + 0.30f,.)byd,, + V,, (2.19)

where fpc is the compressive stress in the concrete at the centroid of the cross section resisting the
externally applied loads or at the junction of the web and flange when the centroid lies within
the flange.

For the simplified procedure, the angle & used to calculate Vs can be determined as follows:

If Vci < Vcw s cot=1.0

If Vei>Vou: cotf =1.0+3| 2| <18 (2.20)

i)

Transverse reinforcement is required in all regions where there is a significant chance of
diagonal cracking. A minimum amount of transverse reinforcement is required to restrain the
growth of diagonal cracking and to increase the ductility of the section. A larger amount of
transverse reinforcement is required to control cracking as the concrete strength is increased.
According to the 2010 AASHTO LRFD Code (Section 5.8.2.4; Regions Requiring Transverse
Reinforcement), for beams, transverse reinforcement must be provided where:

V> 05¢(V. +1,) (2.21)

Here, Vy is the factored shear force, V¢ is the nominal shear resistance of the concrete, Vp is the
component of prestressing force in direction of the shear force (Vp, = 0 when the simplified
method of Section 5.8.3.4.3 is used), and ¢ is the resistance factor specified in Article 5.5.4.2.

For shear (normal weight concrete), ¢ is taken as 0.90, but for compression in strut-and-tie
models, ¢ is taken as 0.70.

Section 5.8.2.5 (Minimum Transverse Reinforcement) states that the area of steel shall satisfy:

bySs

A, = 0.0316,/f, A (2.22)

where Ay is the area of transverse reinforcement within distance s, by is the width of web adjusted
for the presence of ducts, s is the spacing of transverse reinforcement, and fy is the yield strength
of transverse reinforcement. Section 5.8.2.7 (Maximum Spacing of Transverse Reinforcement)

32



states that the spacing of the transverse reinforcement shall not exceed the maximum permitted
spacing, Smax, determined as:

2.23
If vy <0.125f,, then Smax = 0.8dy < 24.0 in (2.23)
If vy>0.125f/, then Smax = 0.4dy < 12.0 in (2.24)

where vy is the shear stress calculated in accordance with 5.8.2.9, and dy is the effective shear
depth.

Section 5.8.3.2 (Sections near Supports) states that where the reaction force in the direction of
the applied shear introduces compression into the end region of a member, the location of the
critical section for shear is to be taken as dy from the internal face at the support.

In the case where a beam is loaded on its top surface and the end of the beam is not built
integrally into the support, shear force must travel to the end bearing. In this case, if the beam
has a thin web so that the shear stress in the beam exceeds 0.18f_, there is a possibility of a local
diagonal compression or horizontal shear failure along the interface between the web and the
lower flange of the beam. In this case, strut-and-tie models are useful for analysis.

ACI 318-11

The calculation for nominal shear capacity in ACI-318 (2011) is similar to previous versions
(1980 to 2002) of the AASHTO Standard Specifications for Highway Bridges. ACI-318 divides
the nominal shear strength into contributions from concrete and steel transverse reinforcement.
They are computed using the following equations:

Ver = 0.6yfc byydyy + Vg + 2 (2.25)
Ve = (35VFc +03fpc) budy + Y, (2.26)
oo Al (2.27)

S S

where Vi is the concrete shear capacity when cracking results from combined shear and moment, Vew
is the concrete shear capacity when cracking results from high principal tensile stress, Vs is the
shear capacity of steel web reinforcement, Mcre is the moment causing flexural cracking at the
section due to externally applied loads, Va is the unfactored shear due to dead load, Vi is the
factored shear at the section due to externally applied loads, Mmax is the factored moment at the
section due to externally applied loads, fpc is the compressive stress in the concrete at the centroid
of the gross section resisting externally applied loads including effective prestressing force, bwis
the width of the web adjusted for ducts, dvis the effective shear depth (in), Av is the total area of
shear stirrups, fy is the yield stress of the web reinforcement, s is the spacing of shear stirrups,
and Vp s the vertical component of prestressing force.

The nominal shear resistance of concrete is taken as the lesser of Vci or Vew. Typically, Vew will
control near the supports and Vci will control closer to midspan. The effective prestressing force
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is included directly in the equation for Vew as the vertical contribution of prestressing force and in
the term foc which includes only the uniform axial compression due to the effective prestressing
force. It is important to note that, although not shown explicitly in the equations above, the
effective prestressing force is used in Vias it must be considered when determining Mcre.

The minimum shear reinforcement area is determined as follows:

0.75 [flby,
4, > f s (2.28)
fyt

where f; is the compressive strength of concrete, b, is the effective width of the web, s is the
spacing of shear reinforcement, and f,; is the tensile strength of shear reinforcement.

Strut and Tie Modeling

Both AASHTO and ACI allow strut and tie models. Strut and tie models can be used when
beam theory is not applicable, such as in beam D-regions. Here, the girder is modeled as a truss
where concrete struts take the compressive loads and steel ties take the tension loads (Kuchma et
al. 2008). A proper truss model should show how forces are distributed throughout the girder.
Schlaich et al. (1987) states that the model producing the least strain energy is the most
appropriate. In almost all cases where a point load is applied with a shear span to depth ratio less
than 2.0, the least strain energy occurs when a compressive strut connects the load and support
(Brown and Bayrak, 2008). Nominal strut and tie capacities for AASHTO LRFD are determined
as follows, respectively:

B, = fouAcs (2'29)

By = fyAst + Aps(fre + ;) (2.30)
Nominal strut and tie capacities for ACI 318 are determined by the following equations:

Fs = fceAcs (2'31)

Foe = fyAts + Atp(fse + Afp) (2.32)

These equations are very similar as both codes use a limiting stress for the concrete strut capacity
and include both conventional steel reinforcement and prestressing strands in the calculation of
tie capacity. The development of stress in the steel ties must be considered in evaluating the tie
capacity and the main difference between the codes is how the limiting stress of the concrete
struts is calculated. For AASHTO LRFD, limiting concrete strengths are given as:

A '
fou = 081170e, < 0.85f; (2.33)
fee = 0.85Bf (2.34)
(2.35)
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& = & + (g5 + 0.002)cot?a (Eq.35)

The value for &, is based on the tensile strain in the strut due to the adjoining tie and the angle
between the strut and tie. The &, factor is determined by the type of strut. For a bottle shaped
strut (i.e. a strut taken to have a larger width at its midsection) the &, factor is taken as 0.6 or
0.75, depending on whether the minimum transverse reinforcement requirement is met. The
strength of nodal regions is also considered. AASHTO LRFD applies a factor of 0.85, 0.75 and
0.65 to f; for nodes containing no ties, ties in one direction and ties in more than one direction,
respectively. ACI uses similar equations.

Shear Models

Most traditional shear design procedures are derived from a parallel chord truss model developed
by Ritter (1899) and Mérsch (1920 and 1922). In this model, for any member under shear, there
are four unknowns (diagonal compressive stress, stress in stirrups, stress in longitudinal
reinforcement, and the angle of the diagonal compression), but only three equations of statics to
determine the unknowns. The angle of the diagonal compression strut is an important factor in
deciding the shear reinforcement contribution to shear resistance. In early parallel chord truss
models, 6 was taken as 45 degrees. However, it was determined by various researchers that this
angle often poorly estimated capacity, and thus over the past several decades, the use of a truss
analogy with angles shallower than 45 degrees has been explored (Ramirez and Breen 1991;
Vecchio and Collins 1986; Hsu 1988). Reducing this angle implies a higher efficiency of the
transverse reinforcement (as geometrically, more stirrups will cross a shear crack with a lower
angle) and thus results in less shear reinforcement required for the same shear demand. The
concrete shear strength contribution can be considered as well, and in early formulations, it was
based on a limiting shear stress. Later it was taken to be the diagonal cracking strength (i.e. the
concrete contribution at ultimate, based on test data). Code provisions such as those of ACI 318
and the AASHTO Standard Specifications take into account the effect of flexure, axial force, and
prestressing into the diagonal cracking strength. However, they also make the assumption that
the concrete shear strength contribution is independent of shear reinforcement. In contrast, some
European design methods take & as the angle defined by a plasticity-based model, for which
values may result as low as 21.8 degrees. In AASHTO LRFD, the angle & is often taken
between 20 and 25 degrees, consequently providing a larger shear strength contribution from the
shear reinforcement than that found from a 45 degree model. The concrete shear strength
contribution is defined as the ability of the cracked concrete to carry diagonal tension in the web
of the member, and it depends on the longitudinal strain, the reserve capacity of the longitudinal
reinforcement at a crack location, and the shear-slip resistance of concrete. The Tureyen and
Frosch model takes the angle & as 45 degrees and bases the concrete strength contribution on the
limiting capacity of the uncracked section (Kuchma and Hawkins 2008).

Traditional provisions for shear capacity such as those of the ACI code do not explicitly take into
account shear friction as a contributor to shear strength, but rather lump it together with other
contributors such as the dowel effect and the shear strength capacity of the compression zone of
the beam. This term is referred to as the concrete contribution to shear strength Vc. In the last 20
years, more rational methods for shear strength calculation (such as AASHTO LRFD and the
Canadian Code CSA) have been able to explicitly account for the contribution of shear friction
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across cracks to resist shear, by referring to concepts of the Modified Compression Field Theory
(MCFT). The MCFT also provides a way to study the softening of concrete (effect of tensile
stress in lowering the compressive strength of concrete below its uniaxial strength). The MCFT
(Vecchio and Collins 1986) satisfies the equilibrium of forces and moments, compatibility of
displacements, and stress-strain relationship of concrete and steel to predict the shear strength of
RC and PC beams. It is assumed in MCFT that the principal direction of stress and strain
coincide, and that shear strength is given as the sum of the steel reinforcement contribution
(based on the truss model using strut angle #) and the concrete contribution (shear resisted by the
tensile stresses in the diagonally cracked concrete). While some researchers (Richart 1927;
Bresler and Pister 1958; Tureyen and Frosch 2003) have argued that most of the “concrete”
contribution to beam shear strength is provided by shear carried in the beam compression zone,
others (Vecchio and Collins 1986) have claimed that most of this shear is resisted by the member
web through aggregate interlock, which is the approach followed by MCFT. The ability of the
crack interface to transmit shear stresses z depends on the crack width w. According to MCFT,

V=V, +V, = *Ljdcott + f,,b,jdcott (2.36)
T o 9 2
—— =018+ 1.64——— 082() (2.37)
!
S MLW (2.38)

where ¢ is the compressive normal stress across the cracks, c is the maximum aggregate size,
and £, is the compressive strength of concrete.

Another expression developed later by Collins and Mitchell (1991) for 7 is:
T = 0.1874x (2.39)

MCFT assumes a parabolic relationship between stress and strain of concrete in compression:

o _ 5 (2) - (8_)2 (2.40)

fezmax €o €o

where g, is the strain at peak uniaxial stress, and f.,mqx 1S the compressive strength of concrete
panels in biaxial tension-compression and depends on the transverse tensile strain &,. A softening
parameter £ was derived from tests with a mean value of 0.98 and coefficient of variation 0.16.

czZmax 1
B = fsz’ = 0.804 03721 <1.0 (2.41)
€0
For £=0.002,
_ 1
= 0.80+170¢; (2.42)

fcois then a function of the principal compressive strain &2 and the principal tensile strain 1.
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Two major research directions for the shear behavior in reinforced concrete are the
characterization of shear friction, which controls the transfer of shear force across a crack, and
the characterization of softening, which reduces the compressive strength of concrete when in a
state of bi-axial compression and tension.

Walraven and Reinhardt (1981) and Walraven (1981) developed early equations for predicting
the normal and shear stresses in cracked concrete. They based their expressions on experimental
investigations of shear friction. It was observed that the behavior of externally reinforced beams
loaded in shear was different from that of internally reinforced ones; the shape of the crack
width vs. crack slip curve was more sensitive for externally reinforced beams. However, the
same model for aggregate interlock was proposed for both types of beams. This model involved
two components, a rigid plastic mortar component and a rigid spherical aggregate component.
When the crack faces open and slide against one another, the portion of mortar in contact with
the aggregates is assumed to yield and therefore creates normal and shear stresses that are related
by a coefficient p. Walraven and Reinhardt’s equation for normal and shear stresses are given as:

0 = 0pu(Ax — p4y) and T = 0,,(4, — pA,) (2.43)

where Ay and Ay are the nondimensionalized sums of ax and ay (contact areas), and depends on
crack width w, crack slip v, the maximum particle diameter, and the total aggregate volume per
unit volume of concrete. The coefficient x and strength of mortar o, were found by fitting
curves to experimental results:

u =040 and oy, = 6.39(f.)°%° (2.44)

An empirical expression for shear friction capacity of internally reinforced cracks as a function
of concrete strength and amount of reinforcement was then developed as:

Tmax = Cl(pvfy) ' (2.45)

where C; = 0.822(f,.)**%® and C, = 0.159(f..)°3*°*, p, and f, are the cross sectional

area and vyield strength of the steel reinforcement, and f.. is the compressive strength of a
concrete test cube.

Walraven and Reinhardt’s expressions gave good approximations to their experimental data for a
linear range. However, the equations require a limit so that shear and normal stresses do not
increase indefinitely as the crack slip increases.

Other researchers investigated the same topic and derived expressions for the shear cracking
capacity. Mau and Hsu (1988) derived an expression that works well for normal strength RC:

et — 0.66VW < 0.3 with w = p;fy (2.46)

c c

It was found that the cracks are smoother in high strength concrete (HSC), because cracks travel
through the aggregates (as opposed to lower strength concrete, where cracks tend to travel
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around the aggregates). This decreases shear friction decreases as concrete strength increases. It
has been shown that shear friction at a crack slip of HSC is reduced by 35% of its value for lower
strength concrete for externally reinforced specimens, and between 55-75% of its value for
internally reinforced specimens. The expressions for crack-related stresses in the model are given
as:

o= kapu(Ax — uAy) and T = kapu(Ay — ,qu) (2.47)

where k = 0.35 or 0.65 for externally reinforced and internally reinforced concrete specimens,
respectively.

Other authors derived expressions based on the experimental results of Walraven. Reineck
(1982, 1991) used the following expressions for the friction of shear faces:

_ — v — 0.24w
T=Tso + 170 = Tpo( /0.096w + 0.01mm) (2:48)

The cohesion friction stress 7y, is the limiting value of shear strength without the normal stress ¢
on the crack face, and is found as:

w
7r = 0.45f, (1 - ——) (2.49)
where f; is the concrete tensile strength.

Reineck’s expressions also needed a limit for stresses. The expressions worked well for crack

widths of 0.02 in, but lost accuracy for crack widths of 0.03 in. Kupfer and Bulicek (1991) used
the following relationships based on Walraven and Reinhardt's (1981) work:

Tmax = — 2+ (1.8(w) %8 + (0.234(w) 7% — 0.20)f..)v = 0 (2.50)
o =12 (1.35(w) ™% + 0.191(w) %55 — 0.15)f;.)v < 0 (2.51)

Earlier, Kupfer et al. (1983) had used:

T

7= 0.117 — 0.085v for Case A:v =w (2.52)
c

flc, = 0.117 + 0.1=— 0.085v for Case B:v # w | (2.53)

These expressions were derived based on earlier work from Walraven, which considered
concrete strengths of 3.5 ksi and v > 0.008 in. However, the relationships established by Kupfer
et al. (1983) were based on weaker concrete and did not agree well with Walraven’s original
experimental data. Dei Poli et al. (1990) used a rough crack model to describe aggregate
interlock stress as:
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rwt
0 = 062m (254)

_ , 2w az+as|r|3
T= 025]’; (1 - \/;)TW (255)

where a; = 9.8/f, , a, = 2.44 —39/f) ,andr = =

w
Various researchers have also explored the effect of concrete softening. The web in a reinforced
concrete beam in flexure and shear is in a biaxial state of tension-compression. The existence of
transverse tensile strains leads to a weakening of the cracked concrete compressive strength, or
'softening’. Different researchers derived softening expressions based on models and test panels.

Vecchio and Collins (1993) expressed a softening parameter £ as a function of the ratio of the
principal strains:

1

B = ey, (2.56)

where &; is the principal tensile strain averaged over several cracks. They used a parabola model
for the uniaxial compressive stress-strain curve of concrete and multiplied both f. and its
associated strain g, by 8. They found good agreement with experimental data.

Kollegger and Mehlhorn (1987, 1990) determined that the effective compressive strength did not
reduce beyond 0.8f. and that the primary influencing factor was the tensile stress fc1 rather than
the tensile strain &,. They determined the following for calculating g:

For 0<fu/f<0.25 then 8 = 1.0

For 0.25<fu/f<0.75, then B = 1.1 — 0.4fcl/ft (2.57)
For 0.75<fe/f< 1.0, then B = 0.8

The tests were based on panels where the tension-compression loads were applied parallel to the
reinforcement, and some on a 45 degree angle. Miyahara et al (1988) Proposed a softening
model based on tensile strains, but predicted lesser degree of softening than the model by
Vecchio and Collins:

For e, <0.0012, B =1.0

For 0.0012 < & < 0.0044, § = 1.15 — 125¢, (2.58)

For 0.0044 <&, B = 0.60

Shirai and Noguchi (1989) and Mikame et al. (1991) proposed the following expression for the
softening parameter:
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1
b= 0.27+0.96(*1/¢,)0-167 (2.59)

It was noted that the softening is greater for HSC than for normal strength concrete (NSC). Ueda
et al. (1991) proposed the following high strength concrete softening parameter:

1
b= 0.8+0.6(1000¢4 +0.2)0-39

(2.60)

Later, Vecchio and Collins updated the model that they had previously developed by basing the
uniaxial stress-strain curve on Thorenfeldt’s curve, which provided better linear correlation for
HSC:

_ n(=52/¢,)
chbase - fi) n—1+(—82/gp)nk (2.61)
where
JA
n=080+"7/ (2.62)

k=10 for —g, <& <O0;
k=067 + fp/62 for & < —g, (2.63)
fp = maximum compressive stress for softened concrete.

In these equations, f, = ffc and & = eo = strain in uniaxial compression at peak stress f. .
Modifications to the base stress-strain curve were explored using two models. The first model
used strength and strain softening (both peak stress and its appropriate strain decrease):

1

b= 1.0+KcK s (2.64)
where
_ 0.80
K. =035(=2-028) >10fore <ey (2.65)
2
Ky = 0.1825,/f/ > 1.0 (2.66)

e1L is the limiting tensile strain at which value the reinforcement at a crack yields and the
concrete experiences little additional cracking. The curve was divided into 3 parts depending on:

Prepeak: For — &, < &g, fc, is calculated from f, = Bf; and &, = B¢,

Peak: For fey < —&, < &0, fe2 = f, = BS¢

POStpeak FOT - 82 > EO’fCZ = ,chzbase
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Note: Kt > 1.0 when f, > 4.4 ksi and K¢ > 1.0 when —&t / &2 > 4.

The second model considers strength softening only:

1

b= 1+K, (2'67)
&

K, =027 (—1 - 0.37) (2.68)
€o

Kr = 2.55 — 0.2629,/f; < 1.11 (2.69)

Vecchio and Collins repeated experiments with other panels reinforced with a reinforcement grid
at a 45 degree angle and both models agreed well with the experimental data. It was also found
that the compression-softening formulation worked well for NSC as well as HSC.

Belarbi and Hsu (1991) used Hognestad’s parabola but suggested one softening parameter for
stress and another for strain:

0.9

bo = Fitem (2.70)

1.0

Be = Ji+Kze; (2.71)

where K, and K. depend on the orientation ¢ of the cracks to the reinforcement and the type of
loading, as shown in Table 2.1:

Table 2.1. Values Of K For Belarbi And Hsu's Model (1991).

Proportional Loading Sequential Loading

) Ko Ke Ko Ke

45 deg 400 160 400 160
90 deg 400 550 250 0

Later, after experimental testing, Belarbi and Hsu (1995) derived the following expressions for
softening:

Fore, < Bey  fo = Bf! [2 (%) - (%)2] (2.72)
e \2

Fore; > Bey  foo = Bf¢ [1 - (%) ] (2.73)

P = (2.74)
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where K, = 400 for proportional loading, and K, = 250 for sequential loading with some tension
release immediately prior to failure.

The softening expression provided by Belarbi and Hsu is less severe than the one by Vecchio and
Collins. This might be due to the angle of reinforcement (45 degrees in the case of Vecchio and
Collins and parallel in the case of Belarbi and Hsu).
Based on measurements of reinforced cylindrical specimens under axial compression and
internal pressure, Okamura and Maekawa (1987) developed the following expression for
softening:

=10 fore <eg,

£1—&q
p=10- 0.4621 fore, <& <g, (2.75)

=06 fore <&
where ¢, = 0.0012 and ¢, = 0.0044.

Shirai (1989) performed tests on small reinforced panels and derived the following:

Br = — (=) tan~"(4820¢, — 11.82) + 0.84 (2.76)

By=—-59-2410 @77)
fe

5= Bix po (2.78)

Kupfer and Bulicek (1991) proposed a constant softening factor (0.85) coupled with a sustained
load factor of 0.80:

12
fez = 0.80 X 0.85 X f! ~ = f: (2.79)

They also considered the following expression with a constant softening factor:

: I
fe = f %085 %075 (1- L) (2.80)

where 0.85 is the factor for sustained load, 0.75 is the factor for irregular crack trajectory, and
1-— 2% is the difference between cylinder strength and uncracked concrete prism strength.

Reineck (1991) also proposed that the strength of the web struts be taken no lower than:

few = 0.80f/ (2.81)
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To account for the effects of transverse reinforcement in tension, Prisco and Gambarova (1995)
proposed that the concrete strength be reduced by:

090f; _f¢ (2.82)

J1+600s 2

Due to the presence of so many formulations for shear friction and concrete softening, a
parametric study was performed by Duthinh (1999) to examine the effect that shear friction and
concrete softening have on concrete shear strength, according to the Modified Compression Field
Theory. The results indicated that:

fe =0.75f; or f. =

1. The ratio of reinforcement is in inverse proportion with shear friction; as the
reinforcement ratio decreases, the effect of shear friction increases.

2. The effect of stress normal to the interface (o) were negligible regardless of which
method was used.

3. Failure by concrete crushing was predicted to happen for very wide cracks, much higher
than Walraven’s experimental data (v <0.08 in, w < 0.06 in).

4. The models of Kollegger, Okamura, Miyahara, and Shirai demonstrate significant
postlinear strength and no concrete crushing. The models by Ueda and Noguchi also
demonstrate concrete crushing after significant postlinear strength and wide cracks.

5. The models presented by Vecchio, Collins, and Hsu show no significant postlinear
strength gained.

Depending on the method of estimation, the shear strength of beams with low shear
reinforcement could be decreased by 15-25% if a decrease in shear friction occurs (according to
MCEFT). This has been experimentally observed in HSC beams.

Kuchma and Hawkins (2008) assembled a large experimental database and evaluated the
accuracy of the different design methods to determine the shear-strength ratio of test results to
code prediction (Viest/Veode). A total of 1359 beams were tested from which 878 were RC beams
and 481 were PC beams. The majority of the PC beams were T-shaped and I-shaped and had
depths less than 20 in, and were simply supported on bearings. Most members were subjected to
four-point loading. Several design procedures that were used in design practice were studied and
compared: ACI 318-02, AASHTO Standard Specifications (2002), AASHTO 1979 Interim
Specifications, Canadian Standard Association (CSA) Design of Concrete Structures (1994 and
2004, respectively), AASHTO LRFD Specifications, Eurocode 1 and 2 (from 1991 and 2002,
respectively), the German code DIN 1045-1, the Japanese specifications for design and
construction of concrete structures, and the shear design approach by Tureyen and Frosch
(2003). Kuchma and Hawkins summarized these results in NCHRP Report 549, “Simplified
Shear Design of Structural Concrete Members”, and recommended simplified provisions, which
were implemented, to the existing Sectional Design Method in AASHTO LRFD. Prior to the
implemented changes, AASHTO LRFD used a shear design procedure based on (and derived
from) MCFT (Modified Compression Field Theory), in which the values for the critical
parameters $ and 6 were obtained from tables. Note that the shear strength calculated using the
AASHTO LRFD Sectional Design Method does not provide the same shear strength calculated
by MCFT. An interesting observation was made by the authors regarding the minimum
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transverse reinforcement, in that it was specified in AASHTO LRFD as 50% more than the
minimum required reinforcement by the AASHTO Standard Specifications.
Some results from the evaluation and comparison of the codes were:

1. Most design procedures (Canadian Standard Association (CSA) Design of Concrete
Structures 1994 & 2004, AASHTO 1979 Interim Specifications, AASHTO LRFD
Specifications, Eurocode 1 and 2, and the German code) permit designers to use the angle
0 as less than 45 degrees when calculating shear strength by shear reinforcement.

2. The AASHTO LRFD Specifications, Eurocode 1&2, and the German code allow the
design of members that support much larger shear stresses than permitted in the
traditional design approach. An important observation was made that the AASHTO
Standard Specifications places a limit on the shear stress that can be supported by the

concrete as 8,/f.b,d to prevent diagonal crushing of the concrete before the yielding of
the reinforcement. However, MCFT has determined that such failures do not occur until
shear stresses reach a level of ¥ of f; this difference primarily affects concrete with 10
ksi or greater compressive strength.

3. From all methods evaluated, the CSA and the AASHTO LRFD methods provided the
most accurate estimates for the shear strength ratio. The means were consistent and the
COV (coefficient of variation) values were low. These two methods would be expected to
result in conservative designs.

4. Based on the close mean and COV values for the CSA and AASHTO LRFD methods, it
was determined that these methods would yield similar designs and therefore the design
equations of CSA 2004 for £ and @ could be adopted for the AASHTO LRFD method.

5. For members with shear reinforcement close to the minimum required by the ACI code,
the shear strength ratios were often under 1.0, which emphasizes the fact that the higher
mini